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Abstract

This paper presents the results of finite element analysis (FEA) studies of four curved steel I-girder shear components tested exp
in previous research, as well as parametric extensions of these tests. These studies focus on the influence of horizontal curvature on
maximum strength of transversely stiffened members with web slendernessD/tw approximately equal to the largest value permitted in AASHT
[AASHTO LRFD bridge design specifications. 3rd ed. In: 2005 Interim Provisions, Washington (DC): American Association of St
Highway Transportation Officials; 2004], and with panel aspect ratios ofdo/D = 1.5 and3.0. These ratios are larger than previously conside
in experimental tests of curved I-girders with similar or larger slenderness. The girders studied have subtended angles between their bra
locations ofLb/R = 0.05 and 0.10, and web paneldo/R values ranging from 0.03 to 0.10. The FEA models incorporate the measured ma
stress–strain relationships and section dimensions from the physical tests, detailed modeling of the test boundary conditions, residual stres
dueto flame cutting and welding, and initial geometric imperfections in the form of buckling mode shapes. The load transfer mecha
the test girders are investigated via elastic buckling and full nonlinear analyses. The parametric studies are performed to investigate the e
of residual stresses and geometric imperfections, the behavior of equivalent straight girders, and the influence of reduced flange size
shear capacity and moment–shear interaction.
c© 2005 Elsevier Ltd. All rights reserved.
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1. Introduction

In Zureick et al. [28], the results of experimental she
strength tests of four full-scale curved I-girder compone
are presented.Fig. 1 shows a schematic ofthe test set-up
and Fig. 2 shows a photograph taken from the right side o
location 1R (defined inFig. 1). These component tests we
designed to investigate the influence of horizontal curvature
the postbuckling shear response of I-girders with:

• web slendernessD/tw approximately equal to the large
value permitted for transversely stiffened members in [2], and

• panel aspect ratios ofdo/D = 1.5 and3.0, which are larger
than previously considered inexperimental tests of curve
I-girders with similar or largerD/tw values.
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This paper presents the results from finite element anal
(FEA) of these physical tests as well as parametric variat
based on these girders. Boththe elastic shear buckling an
the full nonlinear maximum shear strength responses
considered. The parametric studies investigate (1) the e
of residual stresses on the curved I-girder shear stre
response, (2) the sensitivity of the shear strengths to geom
imperfections, (3) differences and similarities between
behavior of the curved I-girders and equivalent strai
I-girders, and (4) the influence of flange size on the sh
strength behavior of and moment–shear interaction wit
curved I-girders.

The AASHTO [2] shear strength provisions are essentia
the same as those in prior AASHTO straight bridge
specifications, but permit the use of the same postbuckling s
resistance for both straight and curved transversely stiffe
I-girders with D/tw ≤ 150 anddo/D ≤ 3.0. Also, the
AASHTO [2] provisions do not require the consideration of a
interaction between the flexural and shear resistances.

http://www.elsevier.com/locate/jcsr
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Fig. 1. Test set-up and shear and approximate moment diagrams, from [28].

Fig. 2. Longitudinal view of test set-up from end 1R, from [28].

Overall characteristics of the four physical test girde
from [28] and outlines of the specific objectives of each
the experimental tests are described in the following secti
 .

This is followed by a summary of the measured geomet
utilized in the FEA models, the overall modeling approa
the FEA mesh discretization, the idealization of the load
displacement boundary conditions, the physical stress–strai
response and its characterization within the analysis,
calculated representative nominal residual stresses, and
initial geometric imperfections defined within the analy
models. Subsequently, the results of analyses of the
physical test girders are presented followed by the result
the variousparametric studies.

2. Girder geometry

Zureick et al. [28] conducted four full-scale curved ste
I-girder component shear tests. Two of the girders, labeled
and S1-S, had a nominal radiusR = 63, 630 mm (208.75 ft)
and a transverse stiffener spacing such that the ratiodo/D was
3 for S1 and 1.5 for S1-S (producingdo/R = 0.0575 and 0.03).
The other two components, labeled S2 and S2-S, were iden
to S1 and S1-S except that their radii were 36,580 mm (120 ft
resulting in do/R = 0.10 and 0.050.Figs. 3–5illustrate the
overall geometry of the test girders and define labels used
the subsequent sections of this paper.

Each of the test girders had a total arc length of 11,580
(38 ft) and a doubly symmetric cross section with nomina
544.5 × 22.2 mm (21–7/16× 7/8 in.) flange plates that were
cut curved and 1219× 8 mm (48× 5/16 in.) web plates that
were heat curved. The resulting web slendernessD/tw was154,
the flange slendernessbf /2t f was12.25, and the ratio of the
web-to-flange areaAw/A f was 0.8 based on thesenominal
dimensions. The value ofD/tw = 154 is approximately
equal to the maximum value ofD/tw = 150 permitted for
transversely stiffened I-girders in [2]. All the girders had four
229× 25.4 mm (9× 1 in.) bearing stiffeners placed in pair
at 305 mm (1 ft) from their ends and at 3660 mm (12
intervals along their lengthunder each load point. All the abov
plates were connected to the web and flanges by 6.35
(1/4 in.) fillet welds. The girders were braced radially at ea
of the bearing stiffener locations such that the unsuppo
lengths along the girder arc wereLb = 3658 mm (12 ft) and
the ratio Lb/bf was 6.7 in all the girders. Two 101.6 mm
(4 in.) diameter steel tubes with nominal area 1802 m2

were connected through spherical bearings to the stiffene
locations near the top and bottom flanges, and to a large rea
wall at their opposite ends (seeFigs. 1and2). At the beginning
of the tests, the attachment ofthe bracing to the girders wa
approximately 50.8 mm (2 in.) higher than the attachmen
the reaction wall. The length between the spherical bearing
the ends of the bracing members was 1028.7 mm (40.5 in.
locations 1L and 1R and 1244.6 mm (49 in.) at locations
and 2R.

Table 1 presents a matrix of nondimensional paramet
associated with the four tests, including the parametersc and
Z, whichare curvature parameters defined as

c = d2
o

8Rtw
(1)
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(a) S1 cross-section. (b) S2 cross-section. (c) S1-S cross-section. (d) S2-S cross-section.

Fig. 3. Measuredcross-section dimensions, from [28].

Fig. 4. Geometry and longitudinal dimensions of test girders S1 and S2, from [28].

Fig. 5. Geometry and longitudinal dimensions of test girders S1-S and S2-S, from [28].
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Table 1
Summary of test girder nondimensional parameters

Girder Lb/R do/D do/R c Z

S1 0.0575 3 0.0575 3.31 25.3
S1-S 0.0575 1.5 0.03 0.83 6.
S2 0.10 3 0.1000 5.76 44.0
S2-S 0.10 1.5 0.0500 1.44 11.

and

Z = d2
o

√
1 − ν2/Rtw = 8c

√
1 − ν2. (2)

The parameterc is a small-angle approximation of the
maximum eccentricity of the curved web from a chord betwe
the ends of the panel, divided by the web thickness. The t
Z is used in the [1] stif fener design equations to account for t
influence of horizontal curvature.

The value ofc for all but one of these designs is significant
greater than one. This is due to the large panel aspect ra
do/D and web slendernessD/tw relative to prior practice as
reflected in [1] and in [20].
n
m

os

3. Objectives of physical tests

The objectives of each of these tests were as follows:

3.1. Girder S1

This test was targeted to examine the shear strength
curved web panel having an aspect ratio ofdo/D = 3, a
ratio of the web panel length to the radius of curvature
do/R = 0.0575, and a subtended angle between the c
frame locations ofLb/R = 0.0575. The angleLb/R = 0.0575
is slightly greater than one-half of the maximum value o
0.10 permitted in the unified provisions for design of straig
and curved I-girders in [2]. The web of this girder containe
only the four bearing stiffeners described above without
intermediate transverse stiffeners.

3.2. Girder S1-S

This girder was identical in length and curvature to S1
had an additional 165× 16 mm (6–1/2× 5/8 in.) intermediate
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Table 2
Average engineering stress–strain data from tension coupon tests

Girders Coupon location E (GPa (ksi)) StaticFy (MPa (ksi)) Est (GPa (ksi)) εst (%) Fu (MPa (ksi)) εu (%)

S1 & S1-S R= 63,630 mm (208.75 ft)
Web

208 410 3.44
1.95

567
14.6

(30,189) (59.5) (499) (82.3)

Flanges
196 377 3.59

1.59
542

15.6
(28,447) (54.7) (521) (78.7)

S2 & S2-S R= 36,580 mm (120 ft)
Web

202 411 3.36
1.87

564
15.6

(29,318) (59.6) (488) (81.9)

Flanges
205 397 3.61

1.90
562

15.4
(29,753) (57.6) (524) (81.6)
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transverse stiffener located atthe center of each panel betwe
the bearing stiffeners. The intermediate transverse stiffe
were cut back 25.4 mm (1 in.)from the tension flange in
panels A and C (seeFig. 5) and from the bottom flange in
panel B, and were placed on the side of the web closes
the center of curvature only. The resulting web panel as
ratio was 1.5, and the value ofdo/R was 0.03. Although the
above transverse stiffeners had reasonable proportions re
to the girder geometry, their moment of inertia about the edg
contact with the web plate is 52 times that required by [2]. The
transverse stiffener size was selected conservatively to en
that the shear strength would not be limited by a failure of
stiffener.

3.3. Girder S2

This component was similar to S1 in that it only h
bearing stiffeners at 3658 mm (12 ft) intervals along its len
and a resulting panel aspect ratio ofdo/D = 3. However,
it differed from S1 in that it had a radius of 36,580 mm
(120 ft), thus representing a case in whichLb/R = 0.10, the
maximum subtended angle between the cross frame loca
allowed by [2]. The correspondingdo/R for this girder was
0.10. Since AASHTO [2] requires Lb/R ≤ 0.10 within the
final constructed configuration, and since connection plates
required at cross-frame locations, this girder represents
largest possible combination ofdo/R andLb/R possible within
these specifications.

3.4. Girder S2-S

This girder was identicalto S1-S but had a radius o
36,580 mm (120 ft). Therefore, its normalized dimensio
parameters weredo/D = 1.5, do/R = 0.050, andLb/R =
0.10.

Table 2summarizes the mean values of the following k
stress–strain parameters determined from tension tests: t
modulus of elasticityE, the static yield Fy, the strainhardening
modulusEst, the strainat the onset of strain hardeningest, the
ultimate tensile strengthFu, and the ultimate straineu. Details
of how these parameters were determined from the ten
coupon tests and statistics of the material test data are prov
in [28]. The averageE for all the tension specimens is 203 G
(29,440 ksi) with a coefficient of variation of 2.6% [28] and is
selected for Young’s modulus to represent all of the analy
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Fig. 6. Typical true stress–strain response.

studies in thisresearch.Fig. 6 shows the true stress–true stra
curve from typical tension tests of the flange plates for gird
S2 and S2-S along with a multilinear representation of
stress–strain response used within the analysis models.

4. Finite element discretization

Fig. 7 shows a typical FEA model used in this researc
The models are constructed within the ABAQUS 6.3 analy
system [10] using the S4R element, a four-node quadrilate
displacement-based shell element with reduced integration. Th
shell elements use five integration points and a trapezoida
integration rule in the thickness direction. In the construc
of the FEA models, ten elements are used through the w
of the flanges, and twenty elements are used through the d
of the web in all the specimens. The elements at the end
the bearing stiffeners are constrained to the corresponding
and bottom flange nodes, whereas the ends of the trans
stif feners (one-sided) are stopped one element short o
flange they are cut short of but are constrained to the o
flange. The T31 truss element is used to represent the tube
braces shown inFig. 2. It was found that the above level of me
refinement results in adequateconvergence of the predicte
displacements and strains.

Fig. 7 also illustrates specified boundary conditions within
the FEA models. The exterior vertical support at location
is modeled by restraining the displacements in the vertica
direction along a line across the width of the bottom flan
That is, an ideal roller support is specified, and the girders
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Fig. 7. Typical FEA model with specified boundary conditions.

free to move along the tangential direction at this location.
interior vertical support at location 2R is assumed to be rigid
compressive contact over the full area of the bearing plate
uplift is allowed at any locations of the bottom flange that wou
tend to lift off of the bearing plate due to the deformations of
girder. Equivalent spring elements with a large elastic stiffn
in compression and zero stiffness for net tension are used
the bearing plate area to represent this boundary condi
The tangential displacement is assumed to be restrained a
middle of the bottom flange at location 2R. That is, it is assum
that the bearing plateprevents displacements tangent to the
of the girder at this location, thus preventing rigid body mot
of the girder in the circumferential direction.

With regard to the force boundary conditions used in
analysis, concentrated loads with a totalmagnitude of 3P and P
are applied at the interior brace location 2L and at the end b
location 1R, respectively. Each of these loads is subdivided
three concentrated loads, with three-quarters of the total
placed at the web–flange juncture and one-eighth applied o
each side of this position. The FEA models also include
self-weight of the test girders and of the bracing members.

Furthermore, the FEA models include residual stresses
to flame cutting and welding of the flanges to the web in
fabrication process. The pattern and magnitude of these in
stresses are based on ECCS (1976), which provides a nu
of simple equations for estimating residual stresses. Res
stresses due to heat curving are not considered in the presen
research, but are addressed in [24]. Also, transverse norma
residual stresses in the web due to welding of the stiffeners
not considered. The resulting residual stresses shown inFig. 8
are used as representative values in this research.

Together with residual stresses, the inevitable presenc
geometric imperfections generally influences the resistance o
steel structures. Initial geometric imperfections change
structural stability behavior of elements such as flat web pa
from a bifurcation problem to a load–deflection problem. F
an imperfect web panel, the transverse (or radial) displacemen
increase gradually from theonset of the loading. Furthermor
due to stable postbuckling characteristics, the structure ma
sustain loadsgreater than the theoretical buckling load. In fa
the theoretical buckling load may be quite difficult to disce
from experimental testing results, e.g., see [4].

In horizontally curved I-girders, the horizontal curvatu
itself acts as a geometric imperfection such that the analys
solution is generally a load–deflection problem. Howeve
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Fig. 8. Gauss point residual stresses used within the majority of the
studies in accordance with ECCS, 1976, based on flame cutting and conse
placement of 7.93 mm (5/16 in.) web-to-flange fillet welds.

Table 3
Measured maximum web out-of-flatness, from [28]

Girder Out-of-flatnessδo (mm (in.)) δo
tw

δo
(d/67)

S1 3 (0.118) 0.352 0.165
S1-S 3 (0.113) 0.339 0.158
S2 5 (0.197) 0.602 0.275
S2-S 8 (0.315) 0.972 0.440

is still possible for imperfections such as the web out-
flatness (or initial radial displacements) relative to the per
horizontally curved geometry to have some impact on
stability behavior and maximum strength.Table 3shows the
values for themeasured maximum out-of-flatness of the w
relative to a chord between the top and bottom of the web pa
from [28]. These imperfections were estimated by plac
a straight edge between the top and bottom of the web
a vertical position at various locations along the length a
then measuring the gap between the straight edge and
web panel with a scale to the nearest millimeter. The larg
imperfections located between the interior bearing stiffener
each of the girders were all oriented toward the inside direction
i.e., toward the center of curvature. These imperfections were
measured on the girders after they were placed on the sup
at locations 1L and 2R and the bracing members were atta
(seeFigs. 1and2), but prior to the application of the applied
concentrated loads at locations 2L and 1R. The ratio of thes
out-of-flatness values to the web thickness, and to the maxim
value permitted by the AWS Structural Welding Code [3] in
interior girders with one-sided stiffeners (equal tod/67 where
d is the least panel dimension)is also shown in the table.

In this research, the nominally perfect geometry (based
the nominalhorizontal curvature) is perturbed by representat
imperfections in the shape of selected buckling mode
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Table 4
Predicted panel shear buckling loads

Girder do/D D/tw Vcr (FEA) (kN (kips)) AASHTOVcr /Vcr (FEA) Modified AASHTOVcr /Vcr (FEA)

S1 3 143 837(188) 0.63 0.99
S2 3 146 801(180) 0.60 0.95
S1-S 1.5 144 948(213) 0.70 0.98
S2-S 1.5 148 912(205) 0.67 0.94
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The buckling modes are dominated generally by radial w
displacements, i.e., by web out-of-flatness relative to the pe
horizontally curved geometry. The first mode for S1-S a
S2-S and the second mode for S1 and S2 are scaled
the magnitude of the web out-of-plumbness, which genera
the maximum amplitude of imperfections toward the cen
of curvature. These choices for the geometric imperfection
give the smallest or close to the smallest maximum stren
from numerous imperfection patterns considered for a
four test girders [15]. Unless noted otherwise, the resulti
imperfections are specified such that the maximum web ou
of-flatnessδo is equal to the value specified inTable 3. Flange
sweep and tilt relative to the perfect horizontally curv
geometry are assumed to have a minor impact on the g
responses.

5. Results and discussion

5.1. Elastic shear buckling analysis

I-girder design shear strengths are based in part on
theoretical elastic shear buckling load of the web.Table 4
compares the elastic shear buckling loads determined
the AASHTO [2] equations, and by a modification to the
equations using the shear buckling coefficient equat
developed by Lee et al. [16], to the buckling loads from
FEA. The shear buckling coefficient equations are summariz
in [27].

One can observe that the AASHTO predictions are m
lower than the values obtained by the FEA. This is beca
the AASHTO elastic shear buckling load is based on
assumption that all four edges of a web panel are sim
supported. The underestimation of the buckling strength by
simplified representation is as largeas 40% (Girder S2) an
depends to some extent upon the aspect ratio of the web p
(the predictions are slightly better for the girders with smalle
do/D). With the use of the shear buckling coefficient formu
suggested by Lee et al., the predicted elastic shear buc
strength is within90% of the FEA prediction for all the girder
These results, combined with those from other studies by W
et al. [24], Bradford [5], and Lee et al. [16], indicate that
significant conservatism associated with the prediction of
elastic shear buckling strength can be alleviated by adop
the shear buckling coefficients suggested by Lee et al.

5.2. Full nonlinear analysis of test girders

Table 5shows that the physical test strengths were sligh
smaller than the values obtained from the FEA for all of th
b
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girders (see the fourth column of the table). The stren
measured in the physical tests ranged from 89% to 97%
the maximum FEA strengths. Some of the potential reaso
for these smaller test strengths are discussed subsequentl
greatest difference between the experimental and FEA re
is for girder S1-S. Interestingly, the measured shear streng
based onVL = P2 − R1 versusVR = R2 − P1 (seeFig. 1) were
within less than two percent of one another in all of the te
except for S1-S, whereVR/VL was 1.067. The experimenta
shear values are based on the average ofVL andVR. If the larger
of these twovalues (VR = 1410 kN) is used for girder S1-S, th
ratio of the test to the FEA shear strength is 0.92. Theref
depending on how one calculates the measured experim
shear capacity, the experimental shear strength is approxim
8%–11% smaller than the FEA shear strength for the gir
with the larger radius of curvature (i.e., girders S1 and S1
and it is approximately 3%–5% smaller than the FEA sh
strength for the girders with the smaller radius of curvature (
girders S2 and S2-S).

The FEA solutions exhibit the expected trend in which
maximum shear strength is reduced by increasing the horiz
curvature (i.e., by decreasing the radius of curvatureR). The
strength is reduced by 130 kN (or 10%) by the increase indo/R
(or Lb/R) from 0.0575 in S1 to 0.10 in S2, and it is reduc
by 46 kN (or 3%) by the increase indo/R from 0.03 in S1-
S to 0.050 in S2-S. The experimental strength of girder S2
40 kN (3%) smaller than that of S1. However, the experime
strength of S2-S is 40 kN (3%) larger than that of S1-S. T
FEA strengths are taken as the reference values for evaluatio
of the shear strength equations in the following discussion.

The AASHTO [2] shear strength equations closely match
FEA strengths for girders S1-S and S2-S (see the fifth colu
of Table 5). However, these equations tend to significan
underpredict the FEA strengths for the girders with
wider stiffener spacing (i.e., girders S1 and S2). When th
equations are modified by the shear buckling coefficient per
et al. [16], the FEA strengths for S1 and S2 are predicted w
but the strengths from the FEA of S1-S and S2-S are sligh
overpredicted. The shear strength equations proposed by
and Yoo [17–19] significantly overestimate the FEA strengt
for girders S1 and S2 and produce conservative results tha
slightly less accurate than the AASHTO [2] equations for S1-S
and S2-S. The equations from [11–13], as modified by White
and Barker [27], provide arguably the best overall match w
the FEA shear strengths for all the girders(the predictions by
the modified AASHTO equations are of similar accuracy
tend to err more toward the liberal side of the FEA strength
whereas the equations from Höglund err more toward th
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Table 5
FEA, measured, and predicted shear strengths

Girder FEAVmax
(kN (kips))

TestVmax
(kN (kips))

Vmax(Test)/
Vmax(FEA)

Vn
(AASHTO)/Vmax
(FEA)

Vn (Modified
AASHTO)/Vmax
(FEA)

Vn (Leeand
Yoo)/Vmax
(FEA)

Vn (Höglund)
/Vmax (FEA)

Vn
(Cardiff)/Vmax
(FEA)

S1
1317 1200

0.91 0.80 0.97 1.11 0.99 0.99
(296) (270)

S2
1187 1160

0.97 0.85 1.02 1.19 1.05 1.04
(267) (260)

S1-S
1531 1370

0.89 1.00 1.09 0.97 0.97 1.10
(344) (307)

S2-S
1485 1410

0.95 0.99 1.07 0.98 0.97 1.10
(334) (317)
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conservative side). Lastly, the form of the Cardiff equations7,
23,9,8] suggested by White and Barker [27] provides a good
estimate of the FEA capacities for girders S1 and S2,
gives liberal predictions relative to the FEA results that a
comparable to those of the Modified AASHTO equations
girders S1-S and S2-S.

5.2.1. Load–displacement (vertical and radial) responses
Figs. 9–12compare the shear versus vertical deflection

location 2L determined by the full nonlinear analysis to t
corresponding measured shear versus vertical deflection
the applied loadpositions 2L and 1R. Given the fact that th
vertical deflections in the FEA at both locations 2L and
are essentially the same untilthe peak capacity is reached a
only slightly different in the post-peak region, only the FE
deflection at location 2L is plotted in the figures. However, t
measured deflections at both locations 2L and 1R are inclu
since these deflections differed significantly from one anoth
The differences between the vertical displacements within the
physical tests are believed to be related to the control of
tests by maintaining the ratio of the interior to exterior appl
load constantly close to three (seeFig. 1). Since the relative
displacements of locations 2L and 1R were not contro
directly within the tests, these displacements tended to drift

The overall shear–vertical displacement curves are v
similar between the FEA solutions and the experimental t
for the girders withdo/D = 3. On the other hand, at the en
of the post-peak range of the response (i.e., at approxima
51 mm (2 in.) vertical displacement of the load points), th
shear resistance is 22% and 9% smaller in the experiment th
in the FEA solutions for the girders S1-S and S2-S, respectively
The FEA solutions suggest that the girders with the sma
stiffener spacing are able to sustain substantial inelastic s
deformations without any loss in the shear capacity. Convers
the physical girders reached their maximum resistance an
exhibited a mild decrease in their shear strengths with the o
of significant inelastic vertical displacements.

With the above exception, there is good correlation betwe
the overall trends of the experimental test results and
FEA solutions with respect to the load–vertical and load–radia
displacement responses, the wave patterns developed with
critical web panel(s), and the bending deformations develo
within the flanges (associated with the frame action of th
elements).
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Fig. 9. Girder S1 — load–vertical deflection curves at the applied-loa
locations.

In the girders withdo/D = 1.5, the vertical deflection of th
bottom flange at the center of the test length reverses directi
and actually moves upward depending on whether the
localized deformations occur within the left or the right-ha
side web panel within this length. In the girders withdo/D = 3,
the bottom flange pushes up into the web within the post-p
range of the response in both the analyses and the experim
tests [15].

Figs. 13through16compare the FEA load–maximum rad
deflection curves within the web to experimental test value
The experimental radial deflections were measured atD/4,
D/2 and 3D/4 where D is the depth of the web. Thes
measurements were taken at the mid-length of the web pa
The maximum FEA radial deflections occur approximately a
the mid-length of the critical panel and approximately at a dep
of D/2 in all the girders. The load–radial deflection curves
not indicate when the FEA shear buckling load is excee
within the full nonlinear solutions.

A diagonal wave pattern forms as the shear force in the p
increases. To illustrate,Fig. 17gives a deformed shape of gird
S2 when location 2L reaches 51 mm (2 in.) vertical deflect

Mr Hojati
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Fig. 10. Girder S1-S — load–vertical deflection curves at the applied-loa
locations.

Fig. 11. Girder S2 — load–vertical deflection curves at the applied-loa
locations.

As can be seen fromFig. 17, the radial displacements of th
webs in the FEA models are predominantly toward the ce
of curvature of the girders. This behavior is the same as
observed within the physical tests, and is initially associa
with a straightening out of the web panels along the diago
tension direction. Due to the compression along the oppo
diagonal direction within the web panels, the critical pa
eventually exhibits a bulge toward the center of curvature t
is larger than that associated with the simple straighte
r
at
d
l

te
l
t
g

Fig. 12. Girder S2-S — load–vertical deflection curves at the applied-loa
locations.

Fig. 13. Girder S1 — radial displacement at the middle of the panel B ve
shear force.

Fig. 14. Girder S1-S — radial displacement at the middle of the critical p
versus shear force.

out of the web panel along the tension diagonal, both in
experiments and in the FEA.
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Fig. 15. Girder S2 — radial displacement at the middle of the panel B ve
shear force.

Fig. 16. Girder S2-S — radial displacement at the middle of the critical pa
versus shear force.

Fig. 17. Deformed shape of girder S2 using the first mode for the spec
imperfection when location 2L reaches 51 mm (2 in.) vertical deflect
(deformation scale factor= 2.0).

5.2.2. Strains and von Mises stresses in web panels
The strains within the critical web panels exhibit the sa

general trends in both the FEA and the physical tests.
reader is referred to [15] for comparisons of these detaile
responses. However, the correlation between the deta
FEA and experimental local strains within the web panels
generally poor. This is believed to be due to a sensitivity
localized inelastic strains to precise initial conditions. At the
peak capacity level of the girders withdo/D = 1.5, the
principal membrane tension orientation is approximately
same as the angle between the corners of the web panel in b
the FEA and the experimental tests. Conversely, the ave
s

l

d

e
e

ed
s
f

e
h
ge

membrane tension orientation for the girders withdo/D = 3 is
somewhat larger (steeper) than the angle between the corne
the web panel in both the FEA and the experiments. Once
girders are deformed into the post-peak region, the princ
strain orientations tend to decrease for all of the girders, bot
analytically and experimentally.

Equivalent plastic strain contour plots from the analy
show that the onset of yielding through the entire thickne
of the web panel occurs along the tension band approxima
at the peak capacity level in all the test girders [15]. Within
the post-peak range of the response, the width of the yie
diagonal band generally increases as the overall inela
vertical displacements of the girders increase. In the girde
with do/D = 1.5, the yielded band tends to expand across
transverse stiffener location and into the adjacent less cri
web panel.

In all of the girders, the computed and the experiment
measured distortions are relatively minor at the peak load le
These distortions become more significant within the platea
post-peak range of the response.

6. Parametric studies

In the experimental tests of the four girders, the flan
dimensions were selected to ensure that a web shear fa
would occur rather than a flange lateral bending failu
An important question that should be asked is whether
maximum shear strength of curved I-girders subjected to h
web shear can be adversely affected by flange lateral ben
associated with the horizontal curvature. In other words
should be questioned as to whether the restraint prov
to the web panels by the flanges could be lost due to th
influence of flange lateral bending to an extent such that
web shear strength is significantly reduced. If the flange siz
are reduced significantly, some decrease in the shear str
is expected within straight I-girders. That is, some interac
between the shear and major-axis bending strengths of str
I-girders is expected. However, these moment–shear interaction
effects have been shown to be small enough to be negle
within the context of the AASHTO (2004) shear streng
formulas [24–27]. If significant flange lateral bending exist
it is possible that some interaction between the girder verti
bending, flange lateral bending, and web shear strengths
exist. AASHTO [2] provides simple equations for the majo
axis bending strength that account for the influence of
interaction with) flange lateral bending. These equations, whic
have been termed the one-third rule, are based in large pa
the research reported in [24].

Of the potential geometric variables, the flange width
taken as the sole variable for investigating the influence
flange size on the shear strength behavior of the cur
I-girders. The flange widths are reduced from the val
employed in the physical tests by Zureick et al. [28] down
to the smallest flange width allowed by AASHTO [2], i.e.,
D/6 = 203.2 mm (8 in.) based on the nominal depth o
the test girder webs. Strengths for flange widths of 355.6 m
(14 in.), 304.8 mm (12 in.), and 254 mm (10 in.) are report
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Other flange widths between 355.6 mm and the widths u
in the experimental tests have been analyzed, but the stre
for these widths are not reported because the changes i
controlling shear strengths from those associated with
physical tests are small. Also, the widths of the bearing
intermediate stiffeners are adjusted based on the reduced fl
width such that the ratio of the flange and stiffener widths
constant. Specifically, the ratio of the flange and the bea
stiffener widths is fixed at 1/0.4 and the ratio of the flange and
intermediate stiffener widths is fixed at 1/0.3. These specific
ratios are selectedto simplify the FEA modeling, but als
they result in values for the stiffener areas that violate the2]
area requirements for transverse stiffeners in some of the c
considered with smaller flanges. In all cases, the [2] transverse
stiffener rigidity and bearing stiffener provisions are satisfie

In the AASHTO [2] strength calculations, the interio
segment of the girders between locations 2L and 2R is criti
with respect to shear, since equal paneldo/D valuesare used
throughout the girders and the web shear within the inte
segment is twice that within the outside unsupported leng
(seeFig. 1). However, with respectto the calculation of the
major-axis bending strengthMn perAASHTO [2], the outside
segments are more critical with respect to lateral–torsio
buckling (LTB). Based on aCb value of 1.75 forthe exterior
segments (versus 2.3 for the interior one), the effective lengt
factor for the exterior segments based on LTB buckling stre
of the three-segment specimens as a whole is estimated
the procedure proposed by Nethercot and Trahair [21] and
Galambos [29] as K = 0.919. However, based on eitherK =
0.919 or conservativelyK = 1 for the exterior segments alon
with Cb = 1.75, theAASHTO [2] LTB strength never govern
for any of the girders considered in this study (unbraced len
large enough such that the flexural resistance would be redu
due to LTB would generally preclude the development o
shear failure). The strength of girders in the parametric stud
governed either by shear or by flange local buckling or yielding
in flexure.

When the geometric proportions of the test girders are u
the flexural strengths are reduced slightly due to flange lo
buckling. However, for all the other cases, the girder flexu
strengths per AASHTO [2] in terms ofthe major-axis bending
moment are simply

Mn(1/3 rule) = (RbFyc − f�/3)Sxc (3)

where Rb is the strength reduction factor that accounts f
web post-bend buckling and load shedding effects,Fyc is
the compression flange yield strength,f� is the elastically
computed flange lateral bending stress at the maximum
level from the full nonlinear FEA solutions, andSxc is
the elastic section modulus to the compression flange. T
Engineer should note that the above definition ofMn(1/3 rule)
is equivalent to but is written in a slightly different form
than that in [2]. The influence of the flange lateral bending
included on the right-hand side of Eq.(3) in the calculation
of the major-axis bending resistance. In [2], the applied flange
lateral bending stress (or moment) is included with the vert
bending stress (or moment) on the left-hand side of the LR
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Fig. 18. Typical flange lateral bending stress variation along the girder leng
based on open-walled section beam theory.

strength equation. The flange yield strengthFyc is used in the
calculation of the girderRb valuesin Eq. (3) as recommended
in [2]. The commentary of [2] allows the Engineer to obtain
a more refined value of Rb by substituting the strength of th
compression flange,Fn, based onRb = 1 for the flange yield
strength. This more refined procedure gives a largerRb value
for the experimental girder dimensions, where the flanges
noncompact; however, in all the other cases,Fn based onRb =
1 is equal toFyc. Nevertheless, the smallestRb value for all of
the girders (even forbf = 203.2 mm (8 in.)) is only 0.978.

The flange elastic lateral bending stressf� in Eq. (3) is
calculated from a first-order elastic analysis using open-walle
section beam theory and is then amplified by a correspond
simple amplification factor equation provided in [2] to account
for second-order effects. As discussed in [2], this amplification
factor is typically a conservative estimate of the true seco
order elastic amplification of the flange lateral bending stress
in cases where these effects become significant. With the
exception of the girders withb f = 203.2 mm (8 in.) and
254 mm (10 in.), the AASHTO [2] amplification factor (AF)
is equal to 1.0 in this study. To illustrate the effect of AF, t
strengthsMn(1/3 rule) based on both AF> 1.0 and AF= 1 are
included in the reported results for the girders with the ab
bf values.

A representative plot of the flange lateral bending stress
for the test configuration considered in this work is shown in
Fig. 18. The flange lateral bending stress may be calculated
general from open-walled section beam theory as

f� = Bω

Cw

∼=
M�h

(
h
2

b f
2

)
(

I ych2

2

) = M�
b f
2

I yc
(4)

whereB is the section bimoment,ω is the principal sectorial
coordinate at the flange tips,Cw is the warping constant of the
cross-section,M� is the corresponding flange lateral bendin
moment,h is the distance between the mid-thickness of
flanges,b f is the flangewidth, andI yc is the moment of inertia
of the individual flanges about a vertical axis through the we

White etal. [24] observe that if the I-girder flexural streng
is quantified by the one-third rule, no further interacti
between the major-axis bending strength and web shear n
to be considered for cases in which the web is subjecte
high shear forces. This portion of the paper seeks to test t
observations within the context of variations on the geomet
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of the curved I-girder experiments conducted by Zure
et al. [28].

Other various FEA parametric studies are conducted. F
the test girders are analyzed with and without the resid
stresses included in the models to ascertain the influence
representative residual stresses on the shear strength beh
Second, the influence of the magnitude of the geome
imperfections on the maximum strength behavior of girders
and S2-S is investigated. Next, two equivalent straight gird
one corresponding to a girder withdo/D = 3 (S2) and the
other corresponding to a girder withdo/D = 1.5 (S2-S), are
considered, with the intent to examine the shear behavior in
limit that the radius of curvature becomes infinite. The ove
dimensions and material properties used to generate the str
girder models are the same as those of the curved I-girde
and S2-S except that the horizontal radius of curvature is
to infinity. This provides additional data for evaluation of th
effects of horizontal curvature. These equivalent straight gir
are studied with several different geometric imperfections
ascertain the sensitivity of the response to these imperfecti

The results from the above parametric analysis studies
summarized below.

6.1. Effects of reduced flange and stiffener sizes on ela
buckling strengths

When the flange widths are reduced from the original t
dimensions to the smallest values allowed by AASHTO [2]
(i.e., bf = D/6 = 203.2 mm (8 in.)), the elastic buckling
strengths are generally decreased. The smallest reductio
9.26% for one of the girders withdo/D = 3, and the larges
reduction is 13.33% for one of the girders withdo/D = 1.5. In
spite of these strength reductions, the AASHTO [2] provisions
are still significantly conservative in predicting the elastic sh
buckling strengths for all of the parametric study girders. Fo
example, the buckling capacity based on the AASHTO2]
provisions is only half the FEA buckling solution for S2 wi
a reduced flange width of 203.2 mm (8 in.). This kind
conservatism can be alleviated and the scatter in the de
predictions relative to the refined FEA solutions reduced by t
use of the shear buckling coefficient formulae suggested by
et al. [16] ([15]).

6.2. Effects of reduced flange and stiffener sizes on maxi
strengths for curved I-girders

Figs. 19through22 present the girder strengths in th
context of a moment–shear interaction plot for each
the girders considered. Twodata points are shown for th
cases in which the AASHTO [2] amplification factor on
the flange lateral bending stresses (AF) is greater
one. The points denoted by the solid diamonds show
(Mmax/Mn(1/3 rule), Vmax/Vn(AASHTO 2004)) values based on
AF = 1, whereas the open diamond symbols show the value
the (Mmax/Mn(1/3 rule), Vmax/Vn(AASHTO 2004)) when AF > 1
and the first-order stressesf� are amplified by this factor.
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Fig. 19. Girder S1 with variable flangewidth — moment–shear interaction

Fig. 20. Girder S1-S with variable flangewidth — moment–shear interactio

Fig. 21. Girder S2 with variable flangewidth — moment–shear interaction

Fig. 22. Girder S2-S with variable flangewidth — moment–shear interactio
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Also, for the geometry associated with the experimen
tests,a data point is included that corresponds to the maxim
shear and moment measured within the experiment normal
by the AASHTO [2] Vn and Mn(1/3 rule) values, where
Mn(1/3 rule) is based on Eq.(3) except thatFyc is replaced by
the base flange local buckling strength (only slightly less t
Fyc). This point is denoted by the open triangle symbol with
the plots.

As the flange width is reduced, it can be seen fr
Figs.19–22 that the normalized peak shear capacities
slightly decreased. The use of the smallest flange width allow
by AASHTO [2] (bf = D/6 = 203.2 mm (8 in.)) causes a
maximum reduction of 8% for girders S1 and S1-S, 9%
S2 and 14% for S2-S relative to the FEA strengths using the
dimensions from [28]. It should be noted that since the flan
sizedoes not have any influence on the web panel shear stre
per theAASHTO [2] equations, the design shear capacity o
girder is the same for all the different flange widths. Therefo
the variation ofVmax/Vn is entirely due to the decrease in th
maximum shear developed within the middle test length du
the reduction in the flange size. In contrast,Mmax/Mn(1/3 rule)
varies with decreases in the flange size due to the redu
Mmax = Vmax/2Lb as well as due to reductions inMn(1/3 rule)
associated with (1) the larger calculated elastic flange lat
bending stressesf� in Eq. (3) caused by the smaller flang
widths as well as (2) the reduction in the elastic section mod
to the compression flangeSxc due tothe smaller flange sizes.

It should be noted thatVmax/Vn is larger thanMmax/

Mn(1/3 rule) for most of the girders. WhenVmax is reduced,
Mmax = Vmax/2Lb is of course also decreased, but th
reduction is relatively small. Incontrast to the calculation
of the AASHTO [2] design shear strengthVn, the design
flexural strengthMn(1/3 rule) per Eq.(3) is significantly affected
by the reductions in the flange size. Therefore, the r
Mmax/Mn(1/3 rule) is significantly larger for smaller flang
widths. The predominant factor influencing the changes
Mmax/Mn(1/3 rule) is actually the reduction in the elastic secti
modulus Sxc, not the increase in the flange lateral bend
stress. The reduction of theflange width from that of the
test girders to the smallest value allowed by AASHTO2]
(bf = D/6 = 203.2 mm (8 in.)) results in a maximum
reduction in Mmax = VmaxLb/2 of 14% (for girder S2-S;
see the above discussion regarding the behavior ofVmax/Vn).
However, this reduction in the flange width decreases the el
section modulus by more than 50% from that of the original t
geometry.

The inspection of failure modes within the critical segm
shows that the governing failure mode is dominated by w
postbuckling shear deformations within the critical web pane
except for the girders with the narrowest flange width
203.2 mm (8 in.). For the girders with flange widths rang
from the test dimensions down to 254 mm (10 in.), all t
girders exhibit post-peak deformations that are dominated
web shear postbuckling actions without any substantial flan
lateral bending deformations. However, when the flange wid
is reduced to 203.2 mm (8 in.), the girder deformations
dominated by the web shear postbuckling response u
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the peak load level, but significant flange lateral bend
deformations occur within the post-peak range of the respo
Correspondingly, it can be observed from the moment–sh
interaction plots that in the case of girders S1-S and S2-S
AASHTO [2] governing strength check changes from shea
flexure whenbf is changed from 254 mm (10 in.) to 203.2 m
(8 in.). That is, forbf = 203.2 mm (8 in.), a radial line
drawn from the origin through the corresponding data poin
the plots intersectsMmax/Mn(1/3 rule) = 1 before it intersects
Vmax/Vn(AASHTO 2004) = 1 (seeFigs. 20and22). These case
correspond to the two data sets of points most to the right
of the plots. For Girders S1 and S2, the AASHTO [2] flexural
strength is close to governing for the cases with the sma
flange widths. However, the value ofVn is smaller for these
girders due to their wider stiffener spacing, and therefore
shear strength check still controls for these girders with
smallestbf .

Although there is some decrease inVmax/Vn as the flange
widths are reduced in each of the girders as shown
Figs.19–22, the FEA strengths are predicted quite adequat
in all the cases by the AASHTO [2] equations. For girder
S1 and S2, the FEA strengths are predicted conservatively
the AASHTO [2] shear strength equations for all the flan
widths. For girders S1-S and S2-S, the smallest value
Vmax/Vn for the girders that are limited by their shear stren
is 0.95 (corresponding to the second set of data points f
the right inFigs. 20and22 andbf = 254 mm (10 in.)). For
these girders andbf = 203.2 mm (8 in.), the strengths are
governed by flexure and the smallest value ofMmax/Mn(1/3 rule)
is 0.97 (corresponding to the right-most set of data po
in the figures) when AF is taken equal to one. When t
AASHTO [2] amplifier is applied to the computed elastic flan
lateral bending stresses,Mmax/Mn(1/3 rule) = 1.10 and 1.06 for
girders S1-S and S2-S respectively.

The post-peak deformed shapes show clearly that the fina
FEA failure mode of the girders withb f = 203.2 mm
(8 in.) is lateral–torsional buckling (LTB) since the flang
deform in an S-pattern with the compression flange in
of the unbraced segments deflecting toward the cente
curvature [15]. Nevertheless, the deformations are domina
by the web shear postbuckling response in all cases a
maximum load level. Therefore, the FEA failure mode for th
girders is a combination of shear and flexure failures.

It is noteworthy that, once the flange widths of the gird
S1-S and S2-S are reduced to 304.8 mm (12 in.) or l
the intermediate stiffeners start to violate the minimum a
requirement specified by AASHTO [2]. Nevertheless, ther
is no significant reduction in the strength for these gird
associated with this violation of the AASHTO requiremen
Furthermore, it is interesting to note that the intermed
stiffeners in the deformed geometries of the girders rem
stable (i.e., negligibly deformed and holding a “nodal” line
the web) even for the girders with the smallest flange width
is also of interest to note that the stiffener rigidities based o
assumed 16 mm (5/8 in.) thickness and 0.3bf for the stiffener
width are approximately two times the AASHTO [2] rigidity
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requirement even for the smallest flange and stiffener wid
(i.e.,bf = 203.2 mm (8 in.)).

6.3. Effects of reduced flange and stiffener sizes on sh
strength and moment–shear interaction for equivalent strai
I-girders

Two groups of straight girders corresponding to girder
with do/D = 3 and girder S2-S withdo/D = 1.5 are
investigated for the effects of reduced flange size on the stre
and behavior of the girders.Figs. 23and24 present the data in
the context of a moment–shear interaction plot. The girder p
peak deformations are dominated by web shear failure excep
for the girder withdo/D = 1.5 andb f = D/6 = 203.2 mm
(8 in.), the failure mode of which is the closest to bei
governed by flexure instead of by shear. In fact, if the modifi
AASTHO shear strength is used, a radial line from the orig
of the plot to the right-most data point crossesMmax/Mn = 1
prior to crossingVmax/Vn = 1 (thatis, the strength is governed
by flexure instead of by shear). This change in the govern
strength equations also occurs inFigs. 19and21 if the shear
capacity is calculated using the modified AASHTO equation

For the straight-girder equivalents of both S2 and S2-
the peak shear capacity,Vmax, is gradually decreased with the
reduction of the flange size. However, similar to the behavio
the curved I-girders, this decrease is rather small. The strai
girder equivalents of S2 exhibit the largest reduction, with
decrease inVmax being about 10% from the straight girder wi
b f = 557.3 mm (21.94 in.) tothe one withb f = 203.2 mm
(8 in.). The straight girder equivalents of S2-S show a maxim
reduction of approximately 7% as the flange width is redu
to the smallestbf .

Given the same section dimensions, the straight I-girder
exhibit somewhat larger shear capacities than the curv
I-girders. Consequently, since the same design shear stren
used for either tangent or curved girders,Vmax/Vn, the ratio of
the FEA predictions to the design strengths is generally la
than that for the curved I-girders. These results show that
web panel shear capacities of the I-girders are influenced
by the flange dimensions as well as by horizontal curvat
Nevertheless, the AASHTO [2] equations predict the FEA
strengths of all the girders considered in this research eit
accurately or conservatively.

6.4. Effects of residual stress on maximum strengths

The largest reduction in strength due to residual stress
only three percent [15]. Also, the effect of the residual stress
is lesspronounced in the girders withdo/D = 1.5 compared
to those withdo/D = 3. These results are consistent with prior
solutions presented by White et al. [24].

6.5. Effects of imperfection magnitude on maximum streng

Given a specified geometric imperfection pattern,
maximum strengths of the curved I-girders are insensi
to the imperfection magnitude. Also, with the exception
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Fig. 23. Equivalent straight girder S2 — moment–shear interaction.

Fig. 24. Equivalent straight girderS2-S — moment–shear interaction.

extremely small imperfections, the maximum strengths of t
equivalent straight I-girders are not sensitive to the imperfec
magnitude. However, when minute imperfections that wo
be difficult to achieve physically are specified, the FE
solutions of the straight I-girderspredict a significant increas
in the maximum strength. Thisbehavior is believed to be
a manifestation of the inelastic buckling paradox [22,14,6].
Similar results are obtained by Aydemir et al. [25] in the
analysis of straight hybrid I-girders. The results reported by
and Yoo [17] are also indicative of this phenomenon.

7. Conclusions

The studies conducted in this paper, combined with
additional FEA studies reported in [24], the experimental
test results reported in [28], and the results from othe
prior research cited in this paper support the followi
conclusion: transversely stiffened curved I-girders can
designed for maximum strength loading conditions based on
the AASHTO [2] I-girder shear capacity equations, includin
the consideration of postbuckling strength, atleast up to the
following limits:
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• do/D ≤ 3
• D/tw ≤ 160
• do/R ≤ 0.10.

Also, the results developed in this research support
conclusions from [24–26], and [27] that moment–shear
interaction need not be considered in straight and/or curved I
girders designed using the AASHTO [2] Specifications.
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