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Seismic performance of composite plate shear walls
Sandip Dey and Anjan K Bhowmick
Department of Building, Civil and Environmental Emgering, Concordia University,

Montreal, Quebec, Canada

Abstract: Nonlinear seismic responses of a 4-storey anai@pgtcomposite plate shear
wall (C-PSW) are studied. A nonlinear finite elememdel which includes both material
and geometric nonlinearities is used for this stidignlinear seismic analysis shows that
composite plate shear walls, in high seismic regioehave in a stable and ductile
manner. It has been observed that the boundary ersnamnd the reinforced concrete
panel of C-PSW carry significant amount of sheaicWlis not considered in design of C-
PSW in AISC 341-10. The study also shows that deaigal forces and moments in the
boundary columns designed according to capacitigde®ncepts are in good agreement
with those of the nonlinear seismic analyses. Aesasf C-PSWs with different geometry
are designed and analysed to evaluate the curegiaidpformula in building codes. It is
observed that the current code predicts periodsatigagenerally shorter than the periods
obtained from finite element analysis. An improv@&thple formula for estimating the
fundamental period of C-PSW is developed by regvasanalysis of the period data
obtained from analysis of the selected C-PSWs.llfinavo equations for determining
shear stud spacing and thickness of reinforced rebmopanel for the C-PSWs are
proposed.

Keywords: Composite Plate Shear Wall; Seismic Analysis; anmehtal Period; Shear

Stud Spacing
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1. Introduction

Shear walls have been long used as lateral loasdtings systems. Some of the most
commonly used shear walls in multistoried buildiragse reinforced concrete (RC) shear
walls and steel plate shear walls (SPSWs). Indhstiffened SPSWs, infill plates tend to
buckle with a very small applied lateral load. Aetpoint of buckling, the load-resisting
mechanism changes from in-plane shear to an irttliaesion field. The tension field
action developed in the infill plates is capableresisting additional shear until they
reach the yield strength. Thus, design and anabfsisistiffened SPSWs are based on the
post-buckling strength of the infill panels. A siigant research work, both experimental
[1-7] and analytical [8-13], has been conductedunstiffened SPSWs and it was shown
that SPSWs are very effective system for resistaigral loads due to wind and
earthquakes. However, there are some disadvantag@sling the overall buckling of the
steel plates that can cause the reduction in tlearshktrength, stiffness, and energy
dissipation capacity [14]. Because of negligibldé ofi plane stiffness SPSWs are not
efficient in resisting accidental loads, such asband impact loading [13]. Also, steel is
weak against fires and thus, like other steel dtead resisting systems, SPSW must be
protected against fire [13]. Moreover, in steel ahevalls, due to large inelastic
deformations of the steel plate, the connectionthefboundary columns and beams can
undergo large cyclic rotations and interstoreytdr[fl5]. On the other hand, concrete
shear walls have their own disadvantages. Duringelzyclic displacements, they can
develop tension cracks and localized crushing. Guwitg plate shear walls (C-PSWSs)

that consist of SPSWs connected with reinforcectiaia panels on one or both sides of
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the steel infill plates with bolts at regular intels are expected to combine the
advantages of steel and concrete shear walls. aper lof pre-cast or cast-in-situ
reinforced concrete panel contributes to safegagainst fire, explosions etc.

To date very limited research has been done on \WsP?SResearch on composite plate
shear wall started with Zhao and Astaneh-Asl| [Ty tested two three-story composite
shear wall specimens under quasi-static cyclicilmgdvhich they named innovative and
traditional C-PSWs. The traditional C-PSW systemd na@ gap between the concrete
panel periphery and the surrounding steel boundembers. The innovative system on
the other hand, had a 32 mm gap in between there@nperiphery and the boundary
steel members. For both test specimens, the statdspwere bolted with reinforced
concrete panels at regular intervals. It was replothat both specimens showed highly
ductile behavior and stable cyclic post yieldingfpemance. However, in the innovative
system, damage to the concrete wall under relgtieefe cycles was less in comparison
to a traditional system. Their study finally réedl in some design guidelines for C-PSW
design, which have been adopted in AISC 341-10. [Récent experimental studies on
C-PSWs by Guo et al. [17, 18] also showed that @/R#®ssessed good ductility and
excellent energy dissipation capacity and in C-PSxtem, the RC panels attached to
steel plates were able to prevent the overall bhogkdf steel plate before yielding in
shear and thus improved shear capacity. Thoughritya@ the shear is resisted by the
steel infill plate, similar to SPSW [10], it is eaqted that the boundary framing members
will resist a significant portion of storey shehr.addition, the attached concrete panel is

expected to resist a certain portion of storey shi@arrent design guidelines for C-PSW
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in AISC 341-10 do not have any requirements fordésign of framing members so that
they can resist a certain portion of the storeyashe

Experimental and analytical research on C-PSWddwmsed mainly on static and quasi-
static cyclic loading conditions. To date C-PSWséhaot been studied under seismic

loadings.

The objective of this research is to investigateitielastic dynamic response of C-PSWs
when subjected to severe ground motions, and thierealuate the degree to which the
design procedures achieve the desired behavios. @dper presents the results, such as
shear distribution between steel plate, columnsthadconcrete panel, design forces of
boundary columns and interstorey drifts, of noredindynamic analyses of a typical 4-
storey and a 6-storey C-PSW designed accordingap@aaity design provisions, when

subjected to compatible earthquake ground motiéN&aocouver, Canada.

Shear studs which are used to connect the steiépiiate with the concrete panel should
be properly spaced to ensure optimum performandaheicomposite plate shear wall.
Recently, Rahai and Hatami [19] performed analytéral experimental studies on one-
story C-PSWs with different geometries mainly todfiout the effect of the distance
between the shear studs on the overall behavidh@fC-PSWs. Their experimental
program consisted of three types of specimens.nglesisteel shear wall, three steel
reinforced concrete composite walls and one sleglble frame. The specimens were
designed to undergo ductile modes of failure. Resfdom their analytical study

indicated that with an increase in distance betwhershear studs, the amount of energy
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absorbed increases and thus improves ductilityougpeécific stud spacing, beyond which
there is no difference. However, their study did provide any guidelines on what would
be the minimum or maximum spacing of the shearsstddother important design aspect
for C-PSW is the thickness of concrete panel. Tdreete panel must be thick enough to
ensure that global buckling of the steel plate dossoccur prior to local buckling of the
shear panel. AISC 341-10 [16] provides a recommimaaf use of minimum of 200
mm concrete panel when the concrete panel is useme side of the still infill plate,
which is the case in this research. In this sttg, equations based on classical buckling
theory of stiffened plate are developed for detamg shear stud spacing and thickness
for the reinforced concrete panel. While AISC 341{16] provides guidelines for the
design and analysis of C-PSWs, currently theranardesign guidelines available in CSA
S16-09 [20] for design of this lateral load resigtsystem. More research is required for
better understanding of the local and global behavof C-PSW before it can be adopted

by the design code in Canada.

2. Nonlinear finite element model of composite platelear walls

ABAQUS/Standard [21] with implicit formulation wassed for all analysis purpose4-
node doubly curved general purpose shell with redumtegration (ABAQUS shell
element S4R) was used here to model the plate coemp® of the C-PSW system
namely, the steel infill plates, the steel boundambers and the reinforced concrete
panels. The S4R element is based on an iso-patanietmulation. These elements
possess six degree of freedom at each node: tlanegation and three rotations defined

in its global co-ordinate system and are compatiath the damage plasticity model of
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concrete used in this research. Usually, fish plate used in practice to connect the infill
plates to the boundary framing members. In the Fdtleh the fish plates were not
modelled. Instead, infill plates were consideretd¢éaconnected directly to the beams and
columns. This assumption of neglecting the fishepia FE model was shown to have
negligible effect on the overall behaviour of SP32Y. In order to model the bolted
connections between the RC panel and the stedl phdite, three dimensional 2-node
linear beam elements (ABAQUS beam element B31) weesl. The material properties
(stress-strain curve with hardening) for the inttaseam were adjusted in such a way
that the global parameters, such as story drifplame displacement, web and flange
local buckling of beams, yielding of infill plated different drift levels, and cracks at

concrete layers from the experiment agree well Wittt from the finite element model.

Meshes were designed so as the steel plates, cstleehns and steel beams have the
common nodes at their junction. A bilinear elasi@spc stress versus strain curve was
adopted for steel beams, columns, and infill pla¢gictural steel elements exhibit strain
hardening with a post-yield stiffness approximatelgual to 0.5-5% of the elastic
stiffness [22]. For this study, a strain hardenof@ percent of the elastic stiffness is
considered for all analysis. The von Mises yiellledon was adopted for the all the
analyses. The associated flow rule was used tarokite plastic strain increment. In
ABAQUS, both isotropic and kinematic strain harsencan be included in the finite
element analysis. For the monotonic pushover aisalgsnonlinear isotropic hardening
model was used as such a model is adequate fortomadoading. For quasi-static

cyclic loading and seismic loading that involvesignificant number of strain and stress
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reversals, the Bauschinger effect becomes importdmis, for these two loading cases, a
combined hardening rule was used in the analy$is.ritaterial property for the bolt steel
was adopted from Kulak [23] based on the tensiampoa test results for the specific
grade of bolts used. The concrete was designedate A minimum of 28 MPa. The
concrete damaged plasticity model [24-25] availaibleABAQUS, was found to be
suitable for use where the concrete is subjectaridnotonic, cyclic or dynamic loads.
This damage plasticity model is capable of incaagiog irreversible damage and can
capture highly nonlinear behavior of concrete comadiwith stiffness degradation and
stiffness recovery under load reversal.

The tensile stress-strain behavior was incorporégsed on the concrete constitutive
model for average stress-strain relation propose®ddarbi and Hsu [26]. The tensile
stress strain behavior takes into consideratiortgéhsion stiffening, strain-softening, and
reinforcement interaction with concrete. To incogie tension stiffening and strain
softening in the FE model, tensile stress stralatimships were converted to tensile
stress vs cracking strain and damage parameteragkicg strain as shown in Fig. 1.
The experimentally verified numerical constitutiveodel by Hsu and Hsu [27] is
incorporated here in the damage plasticity modeti&scribing the stress strain behavior
of concrete in compression. First, compressivesststrain relationships were converted
to compressive stress vs inelastic strain and danp@gameter vs inelastic strain, as
shown in Fig. 2. In order to simulate the compnesgiehavior of reinforced concrete in
concrete damaged plasticity model, the input predidere that of the Young’s modulus

¢ ins

‘E.’, the compressive stress:” vs inelastic straing; " relationship and the damage

¢ iny

parameter value { vs inelastic strain €. relationship for the relevant grade and
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constitutive model of concrete chosen. In the atsesf sufficient data regarding the
concrete used in experimentation, a compressiffneds recovery factor of ‘1’ was used
implying full compressive stiffness recovery upaaak closure as loading changes from
tension to compression. A tension stiffness regpv¥actor of ‘0’ was chosen assuming
no tension stiffness recovery when the loading gkanfrom compression to tension,
once concrete crushing has been initiated. Fude&ails of concrete damage plasticity
model used in this paper can be found in [21, 28].

The dilation angle of a material can be obtainednfia tri-axial compressive test
and is defined as the ratio of the plastic volurhange over plastic shear strain [29]. In
this study, in the absence of sufficient informatan the material properties of concrete
used for the test of C-PSWs by Zhao and Astanel{43la realistic dilation angle value
of 31° was chosen. This value has also been recommendkd literature [21]. In the FE

model, reinforcement were modelled as a smeared Iaythe RC panel.

3. Validation of finite element model

The finite element model (FEM) has been validatgdcbmparing the results from
available test. Very few experimental works haverbeeported using composite shear
walls. In this study, the finite element model leen validated against the composite
plate shear wall test conducted by Zhao and Astéstlj14]. Between their two test
specimens, traditional and innovative C-PSWs, Zdnad Astaneh-Asl| [14] reported that
the innovative specimen behaved in a more ductdemar and also for the innovative
system, damage to the concrete panel under rdiati@mee cycles was much less in

comparison to the traditional system. Thus, oneyitinovative test specimen, which had
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32 mm gap between the edges of the concrete wdltlan surrounding boundary steel
frame, was considered in this research. The testisign was a single bay structure with
a steel moment resisting frame as the boundary raeménd composite shear walls
embedded inside the moment resisting frame. Theposite shear wall consisted of a
steel plate shear wall and a reinforced concregarshanel bolted to each other. The
specimen was considered of three stories withdpeahd bottom panels of the specimen
represented two half stories while the middle tvemgds represented two whole stories.

Details of the test specimen can be obtained eleexi4].

The innovative C-PSW specimen was modeled in ABAQA& a pushover analysis was
carried out. The material properties were choseth@one reported by the author’'s work

like yield strength of boundary steel members & [@%a and that of infill steel plate as

248MPa. The concrete had a minimufiof 28 MPa. A reinforcement ratio of 0.92%

was maintained and 13 mm diameter A325 bolts wees io connect the reinforced
concrete (RC) panels with the steel infill plateastordance with the test specimen. As in
the test, displacement loading has been appliedugfr the center line of the top beam
level. The displacement was increased to a maxinvalne as obtained from the

envelope of hysteresis curve of physical test.

The element mesh of the composite plate shearisvalown in Fig. 3(a). The measured
(obtained from physical experimentation) and priedidfrom FEA) base shear values are
plotted against the overall story drifts in FighB(The figure indicates that the finite

element model predicts the initial stiffness andtpoeld response of the shear wall very
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well. The specimen behaved elastically up to oVeldft levels of approximately 0.4%.
At overall drift value of 0.6%, the experimentalespnen showed vyielding of all three
horizontal beams and some yielding at column ba@ke. finite element model (FEM)
exhibited similar behavior at this drift level. Adverall drift level of 1.2%, the
experimental specimen developed local bucklingaeldliing in the infill steel plates. At
drift level of 2.4%, the experimental middle andtbm beams started to form web and
flange local buckling. Similar behavior was captutgy the FEM at these drift levels..
The ultimate capacity of the specimen is undernegd by about 6%. The finite
element model was also validated by comparing cyahalysis results with the test
results of the quasi-static cyclic test conductgd@bao and Astaneh-Asl [14]. Hysteresis
curves obtained from the finite element analysiseneompared with the test results in
Fig. 4. The hierarchical modes of failure and yiddof different components of the test
specimen were compared with that of the finite életrmodel and close correlation was
observed. The slight differences between the reéudin the test and the FE model might
be due to the small differences in the actual expental set up and that of the FE model.
Also, detailed stress-strain curves for the steetisns used in the test were not reported

and only bilinear behavior of the steel materiadés\assumed.

Further validation of the finite element model wearried out by comparing cyclic

analysis results with the test results of the gataic cyclic test conducted by Driver et
al. [2]. Driver et al. [2] tested a four storeydtplate shear wall (similar to C-PSW, but
without the concrete panel) under quasi-staticicyohding. Details of the test specimen

are available in the literature [2]. Hysteresisvewsr obtained from the finite element
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analysis were compared with the test results in%i¢n general, there is good agreement
between the test results and the finite elemeniysisaBoth the predicted capacity and
stiffness of the SPSW are in excellent agreemettt Wie test results. The hysteresis
curves generated from FE analysis show slightly f@aching than that observed during

the test.

One of the important factors for any seismic ldtéyad resisting system is the correct

estimation of seismic response factor, R. In Canada different factorsR, : ductility

related force modification factor arfd : over-strength related force modification factor,

are used in seismic design of structures (NBCC RR6searchers have so far proposed
different methodologies for derivation of ductilitelated force modification factor.

Newmark and Hall [31] derived a relationship betwethe ductility related force

modification factor,R, and the ductility ratio s according to the period of a structure.

R, =uforT >0.5s (1)
R, =+/2u-1for 0.1<T <0.5s (2)
R, =1forT <0.03s 3)

Ductility ratio of a structure,i, is defined as ratio of maximum lateral displacetne

(Amax or displacement at failure to lateral displacetaryield ().

A
e max 4
p= (4)

y
Thus, in order to obtain ductility of a structusgistem, it is important to identify yield

and maximum displacements of the structure frowreefdeformation relationship. Park

11

www.Cheshme.in



(1988) proposed that displacement correspondinfirgb significant yielding could be
considered as the yield displacement of the stractit was also suggested that
displacement corresponding to the post-peak dispieaat when the load carrying
capacity undergoes a small reduction (often taleh00-20%) might be considered as
the maximum displacement of the structure [32]. $hggestions made by Park (1988)
are considered in this study. Test based ductiétated force modification factor was
estimated from the force deformation relationsathltraditional and innovative C-PSWs
tested by Zhao and Astaneh-Asl [14]. Figure 6 preséhe cyclic envelopes of the two
specimen tested by Zhao and Astaneh-Asl [14]. Bt bpecimens the overall drift value
of 0.006 rad was established as the “Significardldf Point” as at this drift level, some
yield lines appeared on the beams as well as irtahenn bases. Shear strength of the
innovative specimen dropped to about 80% of the imiam shear strength of the
specimen at an overall drift level of 0.044 rad] #me specimen was considered failed. In
case of traditional C-PSW, test showed that thength dropped to about 80% of the
ultimate shear strength at a drift level of 0.04d.rThese values (0.044 rad and 0.042
rad) of overall drift levels, as indicated in F&).were considered the maximum overall
drifts to reach “Points of Maximum Ductility.” Usgnthe relation between maximum drift
to yield drift as presented in Eq. (4), the ovemdlictility values for Innovative and
Traditional C-PSW specimens were calculated as @r&B 7.0 respectively. Assuming
that the natural periods of vibration of the 4-efoand 6-storeyC-PSWs studied in this

research greater than 0.50 s, which is verifiegr ftom frequency analysis, tH®, values

could be selected for the selected C-PSWs with(Bq.In the current edition of National

Building Code of Canada (NBCC 2010k, factor ranges from 1.0 for brittle systems

12
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such as unreinforced masonry to 5.0 for the mostildusystems. It is believed that this
range is realistic for building structures (ParlddPaulay 1975; Paulay and Priestley

1992). NBCC 2010 [30] and CSA S16-09 [20] assign ltighest ductility related force

modification factor, Q of 5.0, to ductile SPSW. In both SPSW and C-PSk¢ t

hierarchical modes of failure and yielding are sameel infill plate yielding is
considered as the main ductile fuse, followed ®idimg at the end of steel beams and
finally plastic hinging at the base of columns. $hbased on the results of the test
program by Zhao and Astaneh-Asl [14] and in theeabs of any provision for C-PSW in

Canada, similar to the provision for ductile SPSA\uctility related force modification

factor, R, of 5.0 is used for design of C-PSWs.

4. Seismic design of composite plate shear walls

4.1 Selection of composite plate shear walls

The buildings considered here for seismic analgsés one 4-storey and one 6-storey
hypothetical office building located in Vancouveving a plan area of 2014 . Figure
7(a) shows typical floor plan of the hypotheticalilBings considered for seismic
analysis. As shown in the plan, each of the bagdihas two identical C-PSWs to resist
lateral forces in each direction, thus, each comg@ahear wall will resist half of the
design seismic loads. Only innovative C-PSW systam considered in this study. The
C-PSW under consideration for seismic analysis ésighated as C-PSW1. For
simplicity, torsion was neglected. Each C-PSW wa&sn3wide, measured from center to
center of columns, and had an aspect ratio of st@rey height of 3.8m). Thus, the 4-

storey building had a total height of 15.2 m anel @hkstorey building had a total height of

13
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22.8 m. The buildings were assumed to be foundedeoy dense soil or soft rock (site
class C according to NBCC 2010). A dead load 06 &4Ra for each floor and 1.12 kPa
for the roof were used. The live load on all flooras taken as 2.4 kPa and no live load
was considered at the roof level. NBC 2010 [30premends use of load combination
‘1.0D+1.0E+05Lor0.25 S’ (where, D = ddedd, L = live load, S = snow load,
and E = earthquake load) when earthquake loadegsept. Thus, load combination ‘D +
0.5L + E’ was considered for floors and for thefrdbe load combination ‘D + 0.25S +
E’ was considered. A steel plate thickness ofdm8 was used as the minimum practical
thickness based on requirements to be bolted wighréinforced concrete panels and
handling issues. 13 mm diameter A325 bolts werecsedl for connecting the steel infill

plate with the RC panel.

4.2 Design of composite plate shear walls
In order to design the C-PSWs, the equivalentcstatce method was employed to find
out the storey shear forces at each storey acgptdifNBCC 2010 [30]. The design

seismic base shear (V) calculated according to NRCID is as follows:

_ STOMy W SROM, I W
RR RR

v (5)

where S(T,) is the spectral acceleratioM, is an amplification factor accounting for

higher mode effects on base shegy; is the importance factor for the structui
denotes the total dead load in addition to 25%hefdnow load; similar to ductile SPSW

an over strength force modification fact® of 1.6 was used in the design of C-PSW.

14

www.Cheshme.in



According to the NBCC 2010, for structures haviRg greater than 1.5 the design base

shear should assume a maximum value as:

V< 25(02)1 W ©)
3R, Ry
The final base shear calculated was distributeshelh storey of the structure as:
W, h
FX = (V - Ft) i:nx X (7)

2 Wh

i=1
where F, is an extra lateral force component applicablehi top floor; W or W,
denotes the dead load in addition to 25% snow &pgudicable to the storelyor x and fL

or hi denotes the height from the base to the storegl leer x respectively. The

equivalent static lateral forces determined basethe NBCC 2010 for the 4- storey C-
PSW were 152.5 kN, 305.1 kN, 457.7 kN and 206.3dNhe first storey, second storey,
third storey and roof respectively. The laterakés determined for the 6- storey C-PSW
were 104.2 kN, 208.4 kN, 312.6 kN, 416.8 kN, 52N and 211.3 kN for the first
storey, second storey, third storey, fourth stoféyy storey and roof respectively. AISC
341-10 [16] requires that the steel infill platd<TesPSWSs be designed as the main energy
dissipating elements. The design shear strengthegblate is based on the shear yielding

of the stiffened steel plate and is given by:
V = ¢0.6A50Fy (8)
where ¢ = 09; A, is the horizontal area of the stiffened steelgyl&, is the specified

yield stress of the steel plate

15

www.Cheshme.in



Thus, the steel infill plates can be selected sisteéhe total seismic load calculated using
equivalent lateral force method in NBCC 2010. As fhe capacity design method in

AISC 341-10 [16], the beams and columns of the @/Pshall be designed for the

expected strength of the steel infill plates inash®6A, R F,, where R, =11 and the

beams and columns adjacent to the composite webb 88 designed to remain
essentially elastic under the maximum forces thateiveloped by the fully yielded steel
infill plates, except that plastic hinging at thede of beams is allowed. Also, plastic

hinges are allowed at base of the boundary columns.

Boundary members for the C-PSW were designed aicgpri the capacity design
approach similar to what was proposed by BermanBandeau [35] for ductile SPSW.
AISC 341-10 recommends adequate stiffening of thel snfill plate by encasement of
the steel plate or attachment with a RC panel. ddrecrete panel was selected as per
provisions of AISC 341-10, which was selected to dfe200 mm thickness and
reinforcement ratio of 0.0025 was maintained with bar spacing not exceeding 450 mm
to comply with the minimum requirements. A sheadstpacing of 300 mm was selected
for all the C-PSWs. The shear stud spacing anthibkness of reinforced concrete panel
used for the C-PSWs were also checked based @ytlegions, developed later using the
concepts of classical buckling theory of stifferstdel plate. The selected C-PSWs are

shown in Fig. 8.

5. Non-linear dynamic analyses of composite platésar walls

5.1 FE model and initial conditions

16
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The selected C-PSWs were modelled in ABAQUS. A meshsitivity study was
conducted in order to help determine the effectnesh size on the performance and
behavior of the C-PSWs. Element dimensions weregdrom 80 mm to 300 mm at the
steel plate region and suitably at the boundamnefds based on the dimension available.
It was observed that the mesh size in the abovgerdid not affect the local or global
performance of the C-PSWs. Hence, a mesh of appeigly 300 mm in element

dimension at the steel infill plate region was uk®dhe nonlinear dynamic analysis.

The nominal yield strength of steel infill platdspundary columns and beams were
selected as 350 MPa and all steel members werenadsto have a modulus of elasticity
of 200 000 MPa. The concrete was selected to lcavepressive as well as tensile
damage and had a compressive strength of 28 MRaguéncy analyses for the C-PSWs
were carried out prior to seismic analyses to i the fundamental mode shapes and
frequencies for the C-PSWs. A dummy gravity coluwas incorporated into the finite
element model to take account ofAReffects. Figure 9 presents analytical model for 4-
storey C-PSW. In this model, the gravity column waasde of 2-node linear 3-D truss
(ABAQUS element T2D3) elements and was connected thie C-PSW at every floor
with pin ended rigid link connections. Thus, atledloor, the horizontal degree of
freedom of the gravity column was constrained tdH#esame as that of the C-PSW to
maintain displacement compatibility of structuratmrbers interacting through rigid floor
diaphragms. The gravity column was designed sooasonprovide any lateral stiffness
and it carried half of the total remaining masshaf building since there are two C-PSWs

in each mutually perpendicular directions of théddiwg plan. From frequency analyses,
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the first two mode periods (in-plane) of the 4-e0IC-PSW (aspect ratio 1.0) were
obtained as 0.63 s and 0.20 s respectively. Fdoréys C-PSW, the first two in-plane
periods were 1.16 s and 0.31 s respectively. Tipes®ods were used to determine
Rayleigh proportional damping constants for 4-stoamd 6-storey C-PSWs. A 5%
Rayleigh proportional damping was assumed in tie¢ fivo modes of vibration, which
included a cumulative modal mass equal to more 8086 of the total mass applied on

the C-PSW.

5.2 Selection and scaling of ground motion

National Building Code of Canada (NBCC 2010) prims input earthquake ground
motions in terms of a Uniform Hazard Spectrum (UHi&Yying a 2% chance of being
exceeded in 50 years. The target UHS is also speédibr a number of standard site
conditions. NBCC 2010 also emphasizes the use eftapn compatible earthquake
records to be used for seismic analysis. The mglaionsidered here being located at
Vancouver, the uniform hazard spectrum for Vancoywevided in NBCC 2010 has
been used in this research. ASCE 7-10 [36] recomdsy@nminimum of three ground
motion records for time history analysis, when pesximum response are considered
for component checking and a minimum of seven gioarotion records when the
average of maximum response are considered for @oemp checking.

In this research, eight ground motion records hmeen selected and used for time history
analysis: four real ground motion records from #tieong ground motion database of
Pacific Earthquake Engineering Research Center &id four simulated earthquake

records from Engineering Seismology toolbox webgd&]. Table 1 and Table 2 present
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some important features of the four real groundiomotecord and four simulated
earthquake records. The selected real ground neow@re chosen to have A/V (A, peak
acceleration in scale of g and V, peak velocitymrs, where g is acceleration due to
gravity in m/$) values close to 1 conforming with the A/V valuer fan earthquake
expected in Vancouver [39]. Only horizontal companef the ground motions were
considered. The simulated earthquakes included different sets of records having
magnitude 6.5 and 7.5 respectively for soil class C

The selected ground motions were scaled basethe partial area method [39] of
ground motion scaling. According to this methode tarea under the acceleration
response spectrum curve of the selected groundmatid design response spectrum are
compared and made equal by finding out a suitab#ding factor. Area under the
acceleration response spectrum curves of grounébomogcords between 0.2T to 1.5T;
where, T is the fundamental period of vibratiorthad building, is compared with the area
under the design response spectrum of Vancouvbeidesignated range and made equal
by finding out a suitable scaling factor and mouifythe concerned accelerogram with
that factor. This period range of the excitationtioms is assumed to have the largest
effects on the structural response. Scaling fadimrsll the selected earthquakes were
calculated and are provided in Table 1 and Tablé-@ures 10 (a) and 10(b) show the
response spectra for the eight selected scalewhiseiscords along with design spectrum
of Vancouver determined from the spectral accaetaratalues available in NBCC 2010.
It is observed that, for both 4-storey and 6-stdCelpSWSs, the average of all the response
spectra does not fall below the design responserspe in the period range from 0.2T to

1.5T, where T is the fundamental period of thedelk C-PSWs.
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5.3 Seismic response of C-PSWs

Non-linear time history analyses were performedABAQUS. Under all earthquake
records, the 4-storey C-PSW behaved in a stablelactile manner. The RC-panels were
capable of successfully restraining out-of-planetiamo of the steel infills and were
undamaged under all ground motions except for egerd (San Fernando earthquake),
where minor damage was identified at the firstestoiFigure 11 presents the average
peak storey shears for 4-storey and 6-storey C-P@Wer the selected artificial and real
ground motions and the contributions by the varicusponents of the C-PSWSs: namely,
the steel infill, boundary columns and the RC paRef 4-storey C-PSW under simulated
earthquake records, the maximum base shear was @&1%390 kN, obtained for 6C2
earthquake record. The peak storey shear conwilmitry the boundary columns and the
RC panel at the base, for 6C2 record, were 27%Laf6 respectively. As observed from
Fig. 11, for 4-storey C-PSW under simulated eardlkgurecords, the average shear
contributions by the columns and the RC panel at llase, are 23.5% and 10%
respectively. Storey shear percentage contributipnghe RC-panels for higher stories
were observed to be practically insignificant. Rbe 4-storey C-PSW, under real
earthquake records, the maximum base shear wad &u5170 kN for Imperial Valley 2
record. For this earthquake record, the storeyrsheatributions at the base by the
boundary columns and the RC panel were observ@8%sand 10% respectively. Figure
11 also shows that, for 4-storey C-PSW under reghgquake records, the average shear
contributions from the columns and the RC panethat base, are 22% and 10.8%
respectively. For 4-storey C-PSW, for all groundtioms, steel infill plates for the first

and second storey fully yielded. This is also obsérfrom Fig. 11 as the average
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dynamic shears for the bottom two storeys of 4esta€-PSW are very close to the

nominal shear strength of the plate web, 3353 ki;adculated by Eq. (8).

The 6-storey C-PSW also behaved in a ductile amolestmanner. For all the earthquake
records except for 7C2 earthquake record, stedl piates of the bottom three floors
were yielded. Yielding in infill plates occurredhen the dynamic shears reached or
exceeded the nominal shear strength of the plate ofié-storey C-PSW, 3312 kN, as
calculated by Eq. (8). For 7C2 earthquake recofil plate at the fourth floor also
yielded. Figure 11 presents the average peak sstregrs for 6-storey C-PSW under the
selected ground motions. The maximum dynamic basarswas found as 5313 kN,
obtained for 7C1 earthquake record. The peak stgnegr contributions by the boundary
columns (observed for 7C1 record) and the RC péotederved for 7C2 record) at the
base were 29% and 8.5% respectively. As obsenaed ffig. 11, for 6-storey C-PSW
under simulated earthquake records, the average shatributions by the columns and
the RC panel at the base, are 26% and 6% respgctienilar to 4-storey C-PSW,
storey shears taken by the RC-panels in higherestorere very small. For the 6-storey
C-PSW, under real earthquake records, the maximase bhear was found as 5285 kN
for Imperial Valley 2 earthquake record. For thetequake record, the storey shear
contributions at the base by the boundary colunmisthe RC panel were observed as
26% and 9.5% respectively. Fig. 11 also shows tloait,6-storey C-PSW under real
earthquake records, the average shear contribdtiomsthe columns and the RC panel at

the base are 21% and 8.5% respectively.
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It can be clearly observed from Fig. 11 that NBCTL@ static base and storey shear
forces calculated are much lower than those frasnge analysis. This is mainly due to
the over strength in the C-PSWs caused by the Laaker steel plates than required
due to handling and practical requirements. Alseigaificant portion of shear is taken
by boundary columns and reinforced concrete pandisch is not considered in the
current design approach of C-PSW since total siseassumed to be resisted by the steel

infill plates only.

For some cases, very small partial yielding waseonkel in the outer flanges of steel
boundary columns at the base, thereby achievingedbjective of C-PSW to sustain
the full yield force from the steel infill plateBor the 6-storey C-PSW, RC-panels were
essentially undamaged except for two earthquakerdsc(Imperial Valley 2 and San
Fernando earthquakes) where small amount of miaokong was observed.
Microcracks were concluded based on plastic straiension (ABAQUS PEEQT) output
values corresponding to concrete strain in tenbeyond the point of maximum tensile

strength based on the Belarbi and Hsu [26] cono@tstitutive model in tension.

Figures 12 and 13 present the envelopes of abswlatgmum column axial forces and
column moments obtained from the seismic analybdsstorey C-PSW and 6-storey C-
PSW respectively. It is observed that, for all grdumotions, the axial forces in all floors
are lower than the design axial forces obtainethftbe capacity design method. The
maximum column axial force (as shown in Fig. 12)agked at the base from the time

history analyses, 13499 kN for the Kobe 1995 eaidkg record, is 19.5% lower than
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the design axial force, 16766 kN. For the 6-stazelySW, the maximum column axial
force (as shown in Fig. 13) at the base from thee thistory analyses, 20946 kN for the
artificial 7c2 earthquake record, is 12% lowerntlihe design axial force, 23848 kN.
Figure 12 also shows that the peak seismic den@ritekure at the base of the columns
of 4-storey C-PSW, 875 khh for Kobe 1995 earthquake record is lower thandiéggn

moment of 2138 kNin. For the 6-storey C-PSW (as shown in Fig. 13),ghak seismic

demand for flexure at the base of the columns, 1KNI3n for Imperial Valley 1

earthquake record, is lower than the design monoéri2138 kNm. Also, for both

selected C-PSWs, the design column moments fouplper stories are larger than the
column moments determined from the seismic analy$bs occurs because of the
assumption made in the capacity design methoddldhe steel web plates are fully
yielded. Though AISC 341-10 [16] permits plastiodes to be formed at the end of the
beams of C-PSW, plastic hinges were not observddrto at the end of beams at top
floors during the seismic analyses of the C-PSWsus] design column moments

obtained from capacity design method were foungktgonservative.

Figure 14 shows (the critical portion is only presel) the extent of yielding in the
bottom four storeys of the 6-storey C-PSW and lmottevo storeys for the 4-storey C-
PSW, when the base shear is at its maximum value’d@ earthquake record. It is
observed that yielding is mainly in the first faofill plates for 6-storey C-PSW and first
two infill plates for the 4-storey C-PSW. There vamne yielding at the ends of beams,
at first and second storeys, for 6-storey sheat. \wal the 4-storey C-PSW, yielding at

the ends of beams was observed at the first flaby. &#igures 15 and 16 present the peak
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interstorey drifts in every storey obtained frorne #eismic analyses for the set of ground
motions chosen. It was found that the interstongfysdare within the allowable range of

NBCC 2010.

6. Evaluation of code period formula for C-PSWs

In order to evaluate the code based formula famesing fundamental periods of C-
PSWs, a total of eight buildings with C-PSWs a®rkt load resisting system were
considered. They consisted of two sets of buildinglk different symmetrical floor plans
having C-PSWs of aspect ratio of 1.0 and 1.5 rasmdy¢. The floor plans are shown in
Fig. 7. For each set of floor plan, 1-storey, @y, 4-storey and 6-storey buildings were
considered. The buildings for these C-PSWs weres@mao be hypothetical office
buildings in Vancouver founded on soft rock (sileéss C according to NBCC 2010) and
having plan area of 2014°nand consisting of two identical shear walls tdstekteral
forces in each direction. Table 3 presents thd Goumns and beams for the selected C-
PSWs.

The building codes namely the NBCC 2010 [30] andCES7-10 [36] specify upper
limits on fundamental periods calculated basedimple methods of structural analysis
in order to limit the values of design seismic Ipdbat are too low due to modelling
assumptions. NBCC 2010 specifies that, for shediswperiods calculated by any
analytical method should not exceed 2.0 times #ieevdetermined by Eq. (9). ASCE 7-
10 [36] standard limits the upper limit of fundartedmeriods as 1.4 times the value for

high seismic zones to 1.7 times the value for leismic zones, as determined by Eq. (9).

T=Gh ©)
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where, T is the fundamental period of the structuke,is the height of the structure

above the base, and x are constants. NBCC 2010 and ASCE 7-10 recommehzty

of C, as 0.05 anck as 0.75 for shear walls. An eigenvalue extradmhnique was used

to calculate the natural frequencies and the cporeding mode shapes of C-PSWs.
Figure 17 compares the code predicted period famuath the computed fundamental
periods obtained from the detailed finite elememilgses. The overall results suggest
that the code based periods provide conservativaaes of fundamental periods for C-
PSWs, leading to higher seismic forces. Studies stt®w that code building periods are

intentionally shorter than the mean values to béhenconservative side for the estimate
of design forces. The constan®s and x are determined by linear regression of the

numerical analysis period data, as was done by @odl Chopra [40] for moment
resisting frame. From a least square regressiolysisnaf the available C-PSW periods,
the resulting expression to represent the best-tihe period data of C-PSWs is obtained

as

T=001%** (10)
One of the assumption in the derivation of the tamts for code period formula is that
the base shear is proportional];/d'y. The value ofyis bounded between 0 to 1 [40],
giving a recommended value af between 0.5 and 1.0 for Eq. (9). For differentreal of
X, constrained regression analyses can be condttddtermineC, [40]. Consistent

with the code period formula for C-PSW, for thisdst, constrained regression analysis

was conducted for a fixed value of 0.75. From constrained regression analysisa

fixed xvalue of 0.75, the associat€l] value of 0.066 is obtained. For seismic design
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purposes, the estimate of the natural period neelde a conservative value. This can be
obtained by lowering the best-fit line, for= 0.75, by one standard deviation. Thus the

proposed formula for C-PSWs is:

T ..0=00430n%" (11)

propose
The proposed period formula for C-PSW is also preskin Fig. 17. It is observed from

Fig. 17 that only one data point fall slightly b&lthe proposed period equation.

7. Determination of equations for shear stud spacmand concrete panel thickness
Currently there are no guidelines for minimum orxmam spacing of the shear studs
and the thickness of concrete panel to be use@#86Ws in the Canadian standard. The
concrete panel must be thick enough to ensuregtbbal buckling of the steel plate does
not occur prior to local buckling of the shear darlSC 341-10 [16] provides a
recommendation of use of minimum of 200 mm concpeteel when the concrete panel
is used in one side of the still infill plate, whics the case in this research. This section
presents a rational method for determining shead spacing and thickness for the
reinforced concrete panel. The method is basedassical buckling theory of stiffened
steel plate.

The concrete panel must be connected with the stklplate in such a way that steel
plate reaches to yield prior to overall or localckling. This requirement is used to
calculate the minimum shear stud spacing of C-PS¥Wsen a plate is subjected to a

state of pure sheatr, the critical shear bucklingsstcan be obtained as:

TE

N 141- VZ)G’)Z

7, =

cl

(12)
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where Kq is the buckling coefficient for shear bueglstressp is the width of the steel
plate; t is the plate thicknesg& is the moduluslas$teity of steel plate; and is the
Poisson’s ratio of steel plate .

Critical stress coefficientsK, , for plates subjdcte pure shear have been evaluated
when the plate is clamped (edges restrained frarofeplane rotation). For finite-length

rectangular plate with clamped edges, Moheit [4byjules following expressions fély

Kg = 5.6+%3forasl (13)
Kg = 898+%f0ra21 (24)

wherea = g , d andb aretwosidesof rectangulaplatewith sided isshorterside

AISC 341-10 [16] requires that steel plates of GARSfail in yielding rather than
buckling. Thus, the corresponding critical bucklstgess should be greater than the yield
stress. One approach to do this is to transfomctimcrete wall to vertical and horizontal
stiffeners along the shear stud lines, as showsignl18. Buckling of each sub panel can
then be checked using elastic buckling theory amrgig steel connectors as fixed plate
support points [16, 42]. As seen in Fig. 18, thetatice between vertical stiffeners
(distance between vertical shear stud lines) is Whereas, the distance between
horizontal stiffeners is £The shear studs are assumed to have a diamdder of

Assuming equal spacing for vertical and horizorst#ifeners, that is & C, = ¢, the

elastic critical shear buckling stresg, , for local buckling of a typical subpanel

(surrounded by horizontal and vertical shear stugs) is obtained as:

27

www.Cheshme.in



TE

S 1z(1_vz)(fj2

wherec is the spacing between the stiffeners.

r, =K

(15)

crl

For a typical C-PSW, where the spacing of vertaadl horizontal stiffeners are same,
a =1, and K4 =1458. As stated in AISC 341-10 [16], shear studs messgaced in as

such that local buckling of each sub panel onlyusg®nce the panel yields in shear.

Thus,

T 2T, (16)

o
where7, is shear yield stress of the steel infiltglavhich is equal to= witlo,  yield

V3

strength of the steel infill plate. Thus Eq. (1&cbmes:

TE 5%
1))

20.77Et?
c< 5 (18)
g, (1— v i

Equation (18) defines the maximum shear stud spattiat can be used to avoid any

1458

(17)

local buckling in the sub panel of C-PSW. For tgpicalues ofE andv for steel ,

(E =20000MPaandv = 0.3), Eq. (18) becomes:

c< 21365 (0, ) 2 (19)
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For the selected C-PSW4g £ 48mmando, =350MPa ), the maximum shear stud

spacing can be calculated as 548 mm, which is hitftaa the shear stud spacing (300

mm) used in this research.

AISC 341-10 [16] recommends that the thicknesthefconcrete encasement should be
calculated to make sure that local buckling ocdarshe sub panel instead of global
buckling mode of the full C-PSW. Exact solutions lieng orthotropic simply supported

plates in shear [15, 43] were used here to findtbatcritical shear stress for global

buckling, 7,,. The shear stress for global buckling for closglgced stiffeners is:

K 3 &
Ty =5~ (0,):(D, s (20)

where K¢, is the global buckling factor, which is adtian of D, , D, ,C,, C,, as well

as the steel plate boundary conditions. The mininvatnes of Ky, for plate to frame

connection with pinned and rigid connections a& &nd 6.9 respectively.

D, = flexural stiffness for bending about x-axis

El 3
X 4 Et (21)

P c, 141-v?)

D, = flexural stiffness for bending about y-axis

El 3
., FE

_ E
Yoc, 121-v?)

D (22)

To make sure that local buckling mode occurs imstefglobal buckling, following

condition must be satisfied:

z-crg > z-crl (23)
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The vertical and horizontal stiffeners are assutodthve the same moment of inertia and
the stiffeners are assumed to be equally spacexlabbve criteria leads to the expression

as follows:

(24)

K d2 1/3
h>0.65t{ s ”—9}

KgeD D
For a concrete panel with thicknesshpfshear stud diameter of D; modular ratiorof

using a minimum value of 3.64 for global bucklirll@bg to obtain conservative estimate

of concrete panel thickness and a conservalfe value of 14.58 when horizontal and

vertical shear studs have same spacing, the cengagiel thickness is calculated as 155
mm, which is less than the minimum required comcnednel thickness used in this

research.

8. Summary and conclusions

Nonlinear seismic analyses under earthquake growtens typical of Western Canada
were performed to evaluate the performance a tydiesdiorey and 6-storey composite
plate shear wall. The analyses provided informatiorthe shear and flexural demand on
the lateral load resisting system. The key findifigs this study are as follows:

(1) The finite element model developed was foungravide excellent correlation with
the experimental specimen in quasi-static push@ret cyclic analysis. The model
captured all essential behavioral features ofésegpecimen analysed.

(2) The 4-storey and 6-storey C-PSW finite elemsgecimens analysed under a set of
eight strong earthquake records were found to peogkcellent structural performance in

terms of stiffness, ductility, and high shear sfggtgnraccompanied by minimal damage in
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terms of concrete cracking and crushing. It wasenlesl from the seismic analyses that
the boundary columns and RC-panel together camibate towards a significant amount
of shear strength, as much as 30% (more than 2084taifshear strength is resisted by
columns), which is ignored in the current AISC 341-This shall be acknowledged in
the current code and as such, beams at every stdr&PSW must have sufficient
flexural resistance such that at least 20% of g@ied factored storey shear force can be
resisted by the boundary moment resisting frame.

(3) No plastic hinges were formed at the boundasjurans, which were capacity
designed. Design column moments and axial force® wBown to agree well with the
results from the nonlinear seismic analyses of dbkected C-PSWs, while providing
slightly conservative results.

(4) The interstorey drifts obtained from the noaén time history analyses were well
within the NBC 2010 limit of 2.5% of the interstgrheight.

(5) It can be observed from the frequency analydethe selected C-PSWs that the
current code formula predicts periods that are gglyeshorter than those obtained from
detailed finite element analysis.

(6) The proposed formula for determining fundamengeriods for C-PSWs,
Tprop03820043ha75, which is based on a regression analysis, is \&@mple and

convenient for engineering design applicationss ltecognised that the proposed period
formula derived in this study is based on the rstifls of the C-PSW alone. With stiffness
contributions from other structural and non-struaticomponents in the building, the
period will become slightly shorter. Also, the posed equation is derived with a limited

period data. It is thus suggested that the propémedula be re-evaluated should field
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measurements of periods on C-PSW buildings or iadit data from frequency analysis
of more C-PSWs become available.

(7) Finally, two equations were developed for te&edmination of shear stud spacing and
minimum reinforced concrete panel thickness. Thea@gns are simple and easy to use
for design of composite plate shear walls. Howewerdetailed experimental and

analytical investigation is required before thegeations can be adopted by the code.

It is acknowledged that the applicability of thessaic force reduction factor of
5.0 for C-PSW needs to be verified through nonlirdgamamic time history analyses of
several representative multistorey C-PSW buildingth a wide range of building
heights, bay widths, and seismic design categdolé&sving the approach adopted from
the FEMA P695- methodology on the quantificationboflding seismic performance

factors.
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Figure Captions for “Seismic performance of composite plate shear wall

Sandip Dey and Anjan K. Bhowmick
Department of Building, Civil and Environmental Emgering, Concordia University,
Montreal, Quebec, Canada

Fig. 1. Concrete damage plasticity model: (a) Cetectension stiffening curve; (b)
Concrete tension damage curve

Fig. 2. Concrete damage plasticity model: (a) Ceteccompression hardening curve; (b)
Concrete compression damage curve

Fig. 3. Validation of Zhao and Astaneh-Asl (200dnavative specimen: (a) FE mesh; (b)
Push-over curves

Fig. 4. Validation of cyclic curves for Zhao andt&seh-As| (2004) innovative specimen

Fig. 5. Validation of cyclic curves for Driver et §1998) SPSW test
Fig. 6. Load deformation relations of C-PSW testZbao and Astaneh-As| (2004)

Fig. 7. Floor plans of sample buildings: (a) FeBPEWs with aspect ratio 1.0; (b) For C-
PSWs with aspect ratio 1.5

Fig. 8. 4-storey and 6-storey C-PSWs (aspect da@p

Fig. 9. Analytical model for 4-storey C-PSW

Fig. 10. Acceleration spectra for selected accglanms and design spectra for
Vancouver:

(a) for 4-storey C-PSW; (b) for 6-storey C-PSW

Fig. 11. Average peak storey shear contribution&-stiorey and 6-storey C-PSWs

Fig. 12. Peak column axial force and moment oftdreyy C-PSW

Fig. 13. Peak column axial force and moment ofogest C-PSW

Fig. 14. FE mesh of 6-storey (left) and 4-storeghf) C-PSW (only the critical portion)
at peak base shear instant under 7c2 ground motion

Fig. 15. Interstorey drift ratio for 4-storey C-PS&) Under simulated records, (b)
Under real earthquake records

Fig. 16. Interstorey drift ratio for 6-storey C-PS{&) Under simulated records, (b)
Under real earthquake records

Fig. 17. Regression analysis for periods of C-PSWs

Fig. 18. Representation of horizontal and vertatdfeners in C-PSW
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Fig. 1. Concrete damage plasticity model: (a) Cetectension stiffening curve; (b)
Concrete tension damage curve
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Fig. 2. Concrete damage plasticity model: (a) Ceteccompression hardening curve; (b)
Concrete compression damage curve
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Fig. 3. Validation of Zhao and Astaneh-As| (2004navative specimen: (a) FE mesh;
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Fig. 9. Analytical model for 4-storey C-PSW
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Fig. 11. Average peak storey shear contribution&-stiorey and 6-storey C-PSWs
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Fig. 15. Interstorey drift ratio for 4-storey C-PS{&) Under simulated records, (b)
Under real earthquake records
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Table 1. Ground motion parameters of selectedgmeaind motions

Event name Magnitude Site MaximumA/V  Scaling Factors
Acceleration
4-storey 6-storey
A(9)

Kobe, 6.6 HIK 0.143 0.968 1.84 1.60
Japan,1995
San Fernando, 6.61 La- 0.188 1.04 1.65 1.53
California, 1971 Hollywood

Stor. LOT
Imperial Valley, 6.53 Aeropuerto 0.3118 1.03 1.25 0.93
California, 1979 Maxicali
Imperial Valley, 6.53 El-Centro 0.525 1.04 0.99 1.0

California, 1979

array

Table 2. Parameters of selected simulated eartlequegords

Earthquake Magnitude

Maximum = Maximum

Scaling Factors

event name Acceleration velocity
AN
A (q) V (m/s) 4-storey 6-storey
6C1 6.5 0.345 0.26 1.33 0.71 0.76
6C2 6.5 0.35 0.266 1.32 1.31 1.44
7C1 7.5 0.426 0.406 1.05 0.79 0.89
7C2 7.5 0.409 0.445 0.92 1.72 1.81
Table 3. Selected C-PSWs for period calculations
Aspect ratio 1.0 Aspect ratio 1.5
C-PSW Storey Column Top/base Column Top/base
type . beam . beam
sections ) sections )
section section
1-storey 1 W360x421 W530x219 W360x744 W610x372
2-storey 1-2 W360x509 W530x219 W360x744 W610x372
4-storey 1-4 W360x634 W530x219 W360x818 W610x372
6-store 1-2  W360x818 W530x219 W360x990 W610x372
Y 3.6 W360x634 W530x219 W360x677 W610x372

Steel plate thickness = 4.8 mm, Concrete panétniess = 200 mm
All intermediate beams are W410x100 for AspecbratD
All intermediate beams are W410x132 for Aspecbratb
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